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THE ACTION OF SOFT CLAY ALONG FRICTION PILES* 


H. B. Seed’ and L. C. Reese,? Associate Members, ASCE 


Many piles derive a major part of their supporting capacity from skin 
friction. Dynamic formulas have proved to be of limited value for determin- 
ing the bearing capacity of such piles, and static formulas appear to hold most 
promise for the development of rational design procedures. However, im- 
provements in design methods are restricted by the limited available know- 
ledge of the mechanics of the inter-action of piles and soil. This paper reports mt 
an investigation which attempts to further the understanding of the action of 
soil alongside friction piles. 

Several 6-in. diameter pipe piles, 20 to 22 feet long, were driven about 15 
feet into a stratum of soft, saturated clay. Electric strain gages were installed 
on one pile to measure load and pressure distribution along the pile. This pile 
was test loaded soon after driving and a number of times thereafter. Load 
distribution curves were obtained for several loads, including the ultimate 
load, for each test loading. Total pressures and pore-water pressures, caused 
by action of soil against the pile wall, were measured at several points along 
the pile length during the pile driving and during the load-test period. 

Several borings were put down in the test area and undisturbed soil samples 
were obtained. Soil tests were made to establish the relationships between 
sirength and water content for clay unaffected by pile driving, for clay next to 2 
a pile which had been in place 1 day, and for clay next to a pile which had been 
in place 30 days. The soil test results were interpreted to determine the effect 
of pile driving on the clay and the resistance of the clay to movement of the 
pile. 

In addition a series of vane shear tests were made on the clay, and a pro- 
cedure was developed for using the results of these tests to determine the load 
vs. settlement relationship for a pile driven into the clay. The load vs. settle- 
ment curve obtained in this way was compared with the results of load tests 
and suggestions made for the practical use of the procedure. 


Location of Tests and Soil Conditions 


The tests were conducted at a site adjacent to the San Francisco - Oakland 
Bay Bridge on the east side of San Francisco Bay. The soil conditions at this 
site (see Fig. 1) consisted of about 4 ft of fill, 5 ft of sandy clay, and then a 
layer of organic silty clay containing shells known locally as “bay mud,” 
which extended to at least 30 ft below the ground surface. The ground water 
table was about 4 ft below the ground surface. 

This site was chosen after extensive field tests had shown the soil conditions 
in the area to be relatively uniform. 


a. A paper presented at the National Convention of the American Society of 
of Civil Engineers, February 7-11, 1955, San Diego, California. 

1. Asst. Prof. of Civ. Eng., Univ. of California, Berkeley, Calif. 

2. Prof. of Civ. Eng., Univ. of Texas, Austin, Tex. 


| 
842-1 


ONIAINO OL 31d NOILVLN3WNYLSNI MBIA NOS 1°64 


2100610 


puos ysim Anja / 


peysnsD 


4 


aid 
UI PUO 


>. 
at 
a 
~ 
ORS: > 
| 
| 
SERS! fi 
| = | | 
842-2 


Description of Piles 


The piles used in the investigation were made from 6-in. diameter, spiral- 
welded steel pipe, No. 14 gauge, and were fitted with conical driving points. 
The pile to be instrumented was cut lengthwise along a diameter, so that the 
gages could be installed inside the pile. 

The load-measuring gages were made by cementing SR-4 gages directly to 
the pile wall. The pressure gages will be described elsewhere. A view of the 
instrumentation, prior to the rejoining the pile halves by welding, is shown in 
Fig. 2, and the pile just prior to driving is shown in Fig. 3. 

In order to eliminate the effects of the upper 9 ft of nonhomogeneous soil 
on the supporting capacity of the pile, a 12-in. diameter casing was installed 
to a depth of 9 ft, and the soil inside the casing was removed. The pile was 
then lowered to the surface of the clay at the bottom of the casing and driven 
into the clay using a 150-lb drop hammer. The soil profile and arrangement 
of the casing are shown in Fig. 1. 

Several gages were damaged when the instrumented pile was driven, but a 
sufficient number of gages remained intact that data on load distribution and 
pressures against the pile wall were successfully obtained. 

After the pile was driven to position, large changes were found to be taking 
place in the pressures at the pile wall. These pressures were read as rapidly 
as possible, and at the same time the loading apparatus was being prepared 
for the first load test. It was assumed that pile loading would affect the pres- 
sure measurements, but it was hoped that this effect would be small if the 
pile settlement was kept to a minimum. Readings during the preliminary load 
test and during several subsequent load tests indicated that loading caused 
little if any permanent effect on the pressure gage readings. 


Results of Load Tests 


The first load test was begun 3 hours after driving was completed; the 
second load test was begun 21 hours after driving was completed, and subse- 
quent tests were run on the same pile at times suggested by the results ob- 
tained. These times were approximately 3, 7, 14, 23, and 33 days after driving 
was completed. 

The pile was loaded in increments of 500 to 1000 lb for the first few loads, 
and the increments were decreased as the ultimate supporting capacity of the 
pile was approached. All of the load-measuring gages were read after the 
application of each load increment, except at loads near failure in several of 
the tests. The pressure gages were read usually after applying every second 
load increment. 

Pile settlement during loading was measured by 2 dial gages, reading to 
0.001 in. These dial gages were resting on opposite sides of the top of the 
pile, and their readings were averaged to obtain settlement. Load-settlement 
curves were plotted as the test progressed, and loading was stopped when 
settlement increased greatly with little increase in load. 

The load-settlement curves for the seven load tests conducted are shown 
in Fig. 4. It was decided to consider the maximum load which the pile could 
support without continuous deformation during a loading as a measure of the 
bearing capacity of the pile at that time; therefore, since it was desired to 
keep settlements to a minimum, care was required in the application of load 
increments as the ultimate load was approached. Most of the curves indicate 
that loading was stopped as soon as the ultimate load was reached. 
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For the first three loadings, as shown by Fig. 4, the settlement dials were 
read at zero load; in subsequent loadings it was found more convenient to take 
the first settlement reading after a small seating load had been applied, be- 
cause of the difficulty in placing the settlement gages before the loading beam 
was positioned. 

In practice, load tests are considered to be the best means of determining 
the supporting capacity of friction piles, and the load-settlement curves are 
interpreted in some way to determine the safe load which can be carried by 
the pile. The load-settlement curves obtained from these tests and many 
others which have been obtained for friction piles have a characteristic shape: 
an initial portion which is straight or slightly curved, a sharply curved transi- 
tion portion, and a final portion which shows increasing settlement for no in- 
crease in load. The unloading curve is roughly parallel to the initial portion 
of the loading curve. The safe load is usually taken as some proportion of 
the ultimate load or as the load corresponding to some limiting value of 
settlement. 

The loading procedure used in this project differs from that recommended 
by most authorities in that the time between load increments was quite short. 
Therefore, it can be expected that the shape of the load-settlement curves will 
differ from those which are usually obtained for a friction pile. Using the 
recommended procedure, there would have been a more gradual transition 
between the initial and final parts of the curve. 

It was anticipated that there would be an increase in bearing capacity of 
the pile with time, but the magnitude of the increase, as shown in Fig. 5, was 
surprising. The ultimate load for the final test was 5.4 times as great as the 
ultimate load measured initially. The factor would have been greater had it 
been possible to determine the static bearing capacity of the pile immediately 
after driving instead of 4 hours after driving. About 88% of the increase in 
bearing capacity occurred in 8 days; the remaining 12% increase occurred 
during the next 25 days. 

The change in strain-indicator reading for each load-measuring gage was 
multiplied by the appropriate calibration factor to obtain the load at each 
gage point. Measurements on opposite sides of the pile were averaged to ob- 
tain the load at each gage depth. A typical set of load distribution curves, as 
measured during a test, is shown in Fig. 6. The dotted curve which appears 
on the figure is an estimate of the load distribution which existed at the failure 
load. The load distribution could not be measured accurately at this stage 
because the pile was settling rapidly, and there was not time to obtain the gage 
readings while maintaining the low values of pile settlement desired. Fig. 7 
shows the load distribution curves at the failure load in each of the load tests. 

The mechanics of soil resistance to the downward movement of a friction 
pile is illustrated in Fig. 8. If the pile were completely rigid, all points of 
the pile would move downwards an equal amount and the soil deformation ac- 
companying the downward movement of the pile would result in the develop- 
ment of shearing stresses in the soil resisting the downward movement. The 
shear stresses in the soil would cause the load in the pile to decrease with 
depth. Since piles are not completely rigid, the observed settlement of the 
top of the pile exceeds the downward movement of the pile tip by an amount 
equal to the elastic compression of the pile; and, since the shear resistance 
of the soil around the pile, which depends on the magnitude of the shear de- 
formation, causes the load in the pile to decrease with depth, the actual move- 
ments of points on the pile wall will increase with their distances from the 
pile tip. 
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It follows that the distribution of load along a friction pile is associated 
with the relative stiffnesses of the pile and the surrounding soil. Since the 
soil will invariably deform more readily than a pile, it is difficult to imagine 
a practical case in which there would be no load transmitted to the pile tip. 

It will be seen from Figs. 6 and 7 that in these tests about 90% of any applied 
load was transferred to the soil by shaft resistance and the remaining 10% was 
carried by the pile tip. 

The load distribution curves in Figs. 6 and 7 show that very little load was 
removed by the top 3 ft of soil surrounding the pile. It is possible that this 
soil was displaced an extra amount by the vibration of the pile during driving 
and that the overburden pressure was insufficient to cause bond to develop; 
unfortunately not enough data was obtained from the pressure gages near the 
top of the pile to determine this possibility. 

From a knowledge of the distribution of any applied load along a friction 
pile and the corresponding downward movement of the top of the pile, the 
following information may be obtained: 


1, The rate of load transfer from pile to soil or the shearing resistance 
of the soil around the pile; at any point along the pile this is equal to 
the slope of the load distribution curve divided by the circumference 
of the pile. 

. The elastic compression of the pile from the top to any section along 

its length. This can be obtained by dividing the area under the load 
distribution curve to that section by the area of the pile and the modulus 
of elasticity of the pile material. The elastic compression can then be 
subtracted from the observed pile settlement to obtain the movement 
of the pile at the section under consideration. 


Thus the shear resistance and the corresponding shear deformation of the 
soil around a pile at any point along the pile can be determined. The fact 
that such deformation can be obtained from load distribution curves suggests 
the possibility that shear resistance vs. deformation curves obtained from 
soil shear tests might be used to determine load distribution curves and load 
vs. settlement curves for friction piles; a procedure for determining such 
curves is presented later. 


Results of Soil Tests 


Laboratory Tests. The properties of the undisturbed soil were determined 
by a comprehensive series of tests on samples taken with a piston-type sam- 
pler in Shelby seamless steel tubes, 30 in. in length and 2.87 in. in diameter. 
Three borings, Nos. 1, 2, and 3 in Fig. 9, were put down in the vicinity of the 
field work, and samples were taken as nearly continuously as possible. Un- 
confined compression tests were performed on 23 samples and consolidation 
tests on 5 samples. In addition, 13 unconfined compression tests and 3 con- 
solidation tests were performed on remolded samples of the soil. 

The average of several determinations of the unit weight of the undisturbed 
silty clay was 112 lb per cu ft, and average values for the Atterberg limits 
were: Liquid Limit = 41.5, Plastic Limit = 23.5. The results of the uncon- 
fined compression tests on undisturbed and remolded samples are shown in 
Fig. 10; in these tests most of the undisturbed samples failed suddenly on 
reaching a strain of about 10 to 15%, and the sensitivity of the specimens was 
about 2. It was intended to trim the 2.87-in. diameter samples down to 1.4-in. 
diameter specimens for the unconfined compression tests but the presence of 
shells in almost all of the samples prevented trimming. It was difficult to 
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find samples sufficiently free of shells for the preparation of consolidation 
test specimens. The results of the consolidation tests are summarized in 
Table 1, and typical results for both undisturbed and remolded soil are 
plotted in Fig. 11. 

In addition to these tests, three large samples of remolded soil were re- 
consolidated under pressures of 1, 2, and 4 tons per sq ft. Each of the recon- 
solidated samples provided four specimens, 1.4 in. in diameter and 4 in. high, 
on which unconfined compression tests and water content determinations could 
be made. The results of these tests are summarized in Table 2. 

In order to determine the effects of pile driving on the soil adjacent to a 
driven pile, additional piles (numbers 3 and 4 in Fig. 9) were driven and 
samples were taken next to the piles. Boring 5 was made alongside a pile 
which had been in place for a period of 1 day; Borings 4, 4A, and 6 were made 
alongside piles which had been in place for about 30 days. Unconfined com- 
pression tests were performed on the samples obtained and water content 
determinations were made on specimens from the side of the samples nearest 
the pile wall and on specimens from the side of the samples furtherest from 
the pile wall. The results of these tests are shown in Fig. 10, with the change 
in water content across the specimen designated on the figure. 

The results of all the unconfined compression tests are summarized in 
Table 3. Since at any particular time the unconfined compression strength 
appeared to be approximately constant with depth, average values were used 
to determine the change in strength with time. It will be seen that the average 
unconfined compression strength of the soil adjacent to a pile changes from 
an initial value of 0.24 kg per sq cm before driving, to 0.32 kg per sq cm one 
day after driving, and finally to 0.36 kg per sq cm 30 days after driving; these 
increases in strength are accompanied by corresponding decreases in water 
content from an initial value of 48.1% to 43.6% after 1 day to 41.1% after 30 


days. 


TABLE 1 -- SUMMARY OF RESULTS OF CONSOLIDATION TESTS 
ON UNDISTURBED SAMPLES 


TABLE 1 -- SUMMARY OF RESULTS OF CONSOLIDATION TESTS ON UNDISTURBED SAMPLES 


Comp ression Coefficient of Permeability at 
Index Water Content of L0% 


Test No. 


1.7 x 10 = 
2.9 x 10 -6 cm/sec 
2.1x 10° cm/sec 
2.3 x 10 


# The first number represents the boring, the next 3 numbers 
represent the depth in inches to the sample. 
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TABLE 2 -— SUMMARY OF RESULTS OF UNCONFINED COMPRESSION 
TESTS ON RECONSOLIDATED SAMPLES 


Consolidation Pressure, tons per sq 


g Content p Content | Strength | Content 


Ave 0.73 330s 30.3 2.49 


TABLE 3 =~ AVERACE VALUES OF UNCONFINED COMPRESSION STRENGTH AND WATER CONTENT 
Soil Soil Soil Remo lded 
Unaffocted by Next to Pile~- Next to Pile-- Soil 
Driving 1 Day after 30 Lays After 
Driving 
borings l, 2 & 3 Borings lh, LA & 6 Borings 1, 2 & 3 


U.ce | Water | UC. Water U.C. Water 
Strength {Content {Strength (| Content Strength Content 


The percentage of shells, based on dry weight of solids excluding shells, 
in the unconfined compression tests specimens ranged from 0 to 17; the aver- 
age percentage was about 7. Some of the shells were more than an inch wide. 
About 14% of the moisture samples were entirely free of shells. Disturbance 
of the soil due to sampling was probably greater for those samples which 
contained shells than for those relatively free from shells; however, examina- 
tion of the data failed to indicate a decrease in unconfined compressive strength 
with an increase in shell content. 
Field Tests. ‘In situ’ shear tests were made on the silty clay prior to pile 
driving using a vane shear device. The vanes were each 1.5 in. wide and 4.5 
in. high and the rate of deformation was 10 degrees per minute. The results 
of these tests are shown in Fig. 13. 
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The shear strengths determined by the vane tests were considerably higher 
than those indicated by the unconfined compression tests. This difference in 
strengths is probably due to the presence of shells in the soil, which appeared 
to have a marked effect on the vane shear strengths. 

A 6-in. diameter hand auger was used to advance a hole to within about 
2 ft of the depth at which the vane test was to be run. The vane device was 
then pushed or driven into position. In those instances where it could be 
pushed into position the shear strength was much lower than when the device 
had to be driven down. After the vane device had been withdrawn, the hand 
auger cuttings showed that the difficulty in advancing the vane was due to the 
presence of shells in the soil. Two series of vane shear tests were made and 
the stress vs deformation characteristics of the silty clay were determined 
at intervals of 2 ft of depth. The results shown in Fig. 13 are those exhibiting 
the lowest shear strength at any particular depth, and therefore are probably 
those least affected by the presence of shells. 


Effect of Pile Driving on Soil Properties 


Housel and Burkey! and Cummings, Kerkhoff, and Peck? have presented 
papers which discussed the effect of pile driving on soil properties. Rutledge2 
was able to show a reasonable quantitative interpretation of the data of Cum- 
mings, Kerkhoff and Peck based on the statement, “Previous work?,4 has 
shown that on a semilogarithmic plot of test data for saturated natural clay, 
the compressive strength-water content relation is a curve parallel to the 
virgin (or essentially straight-line) part of the consolidation test curve.” 

Such a plot is shown in Fig. 12. The consolidation test data are those ob- 
tained from a test on an undisturbed sample, following the procedure suggested 
by Rutledge. Points A, C, D, and E were determined by soil tests as discussed 
above. Point A represents the average unconfined compression strength of 
undisturbed samples, and Point C shows the effect of remolding at no change 
in water content. Points D and E show results of unconfined compression tests 
and water content determinations on samples which had been taken next to piles 
installed 1 day and 1 month, respectively. Line C-F represents the compres- 
sive strength-water content relationship for reconsolidated remolded clay and 
was drawn from Point C through an average of 3 points determined by experi- 
ment. It will be seen that Line C-F is very nearly parallel to the virgin part 
of the consolidation test curve. 

Point A shows the condition of the clay prior to pile driving. By drawing 
the dotted line parallel to Line C-F, through an average of Points D and E, 
Point B was obtained. It would appear therefore that Point B represents the 
condition of Clay next to a pile immediately after driving. The distance be- 
tween Points A and B shows the strength loss of the soil due to remolding 
caused by pile driving. Excess hydrostatic pressure was set up in the soil by 
the pile driving and this pressure was related to consolidation of soil next to 
the pile. The dotted line represents the change in soil properties due to con- 
solidation, with Points D and E showing the change occurring in 1 day and 1 
month, respectively. 

Other data which are pertinent here are those showing the variation in water 
content across samples taken near a pile. Examination of data in Fig. 10 shows 
that for samples represented by Point D, the water content was an average of 
1.31% higher for those parts of the samples farthest away from the pile; and 
for samples represented by Point E the water content was 1.33% higher for 
those parts of the samples farthest away from the pile. 
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From the information which has been presented it can be argued with reason 
that the water content next to the pile wall is progressively decreased with the 
passage of time after the pile has been placed until some limit is reached, and 
that this decrease in water content is accompanied by an increase in the strength 

of the soil at the pile wall. The soil strength will be highest at the pile wall 
and it will decrease in some fashion with distance from the pile; therefore, 
Points D and E in Fig. 12 must represent an average value for soil properties 
near the pile, because the samples were taken over a 3-in. distance. One could 
speculate on the value of the unconfined compression strength at the pile wall 
on the basis of the difference in water content across the sample; however, 
when a friction pile is overloaded failure usually occurs in the soil at some 
distance away from the pile wall; hence, some average value of the shearing 
strength of the clay near the pile wall will correctly define the effective strength. 

It is interesting to compare the time-rate of increase in soil strength as deter- 
mined by soil testing, with the time-rate of decrease in excess hydrostatic 
pressure as determined from pore-water pressure gages. Such a comparison 
is shown in Fig. 14 and there is excellent agreement between the rates. 


Relationship Between Soil Properties and Load Test Data 


From the results of a load test on a friction pile a value for the average 
skin friction may be computed by dividing the maximum load which the pile 
can support by the embedded area of the pile. However, the variation in skin 
friction with depth can be seen by examining the distribution of the failure load 
along the pile. The slope of this load distribution curve at any point is a meas- 
ure of the rate of load transfer (skin friction) from the pile to the soil at that 
point. The rates of load transfer along the pile have been determined from the 
load distribution curves for the failure load in each of the load tests, and the 
results are shown in Fig. 15. In general the rate of load transfer at failure 
increases with increasing depth; it is about equal for depths of 20 and 22 ft., 
and it is very low for the shallow depths. The percentage increase in the rate 
of load transfer with time for all depths agrees in a general way with the per- 
centage increase in bearing capacity of the pile. 

In Fig. 15, the increase with time of the rate of load transfer from pile to 
soil (skin friction) at various depths in the soil when the pile is supporting its 
maximum load is compared with the increase in strength with time of the soil 
adjacent to the pile; the shear strength values used in this comparison were 
those on the dotted line closest to Points D and E in Fig. 12. For large values 
of time, there is good agreement between the shear strength of the soil and the 
rate of load transfer or skin friction at the greatest depths; for small values 
of time the agreement is not so good, with the skin friction being appreciably 
less than the shear strength of the soil. The bearing capacity of the pile, 
computed on the assumption that the full shear strength of the soil is developed 
over the embedded area of the pile, would be greater than the measured value 
with the largest error occurring at small times. A similar lack of agreement 
between bearing capacity and strength data is shown in Fig. 14 where it may 
be seen that in the early stages after driving, the time-rate of increase in 
shear strength is considerably greater than the time-rate of increase in bear- 
ing capacity. In making the above comparisons it is assumed that the shear 
strength of the soil is constant along the length of the pile since the test data 
in Fig. 10 show no definite trend in the shear strength vs. depth relationship. 

At the outset of this investigation it was assumed that the failure which 
occurs when a friction pile is overloaded occurs in the soil surrounding the 
pile and not at the interface between pile and soil. However, the above results 
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indicate that for the pile used in this investigation this assumption should be 
modified as follows: for small values of time for all depths, and for all values 
of time for the shallow depths, the failure which occurred when the pile was 
overloaded did not occur in the soil but at the interface between soil and pile. 
Arguments which favor this modified hypothesis are: 


1) The bearing capacity at time zero, as determined by extrapolating the 
bearing capacity vs. time curve in Fig. 5, was about 700 lb. The shear strength 
of the remolded clay, as determined by one half the unconfined compression 
strength of remolded samples, was 110 lb per sq ft; if this shear strength 
were effective over the entire embedded area, the bearing capacity of the pile 
at time zero would have been 2,360 lb. That the bearing capacity was less 
than one-third of the value indicated by the remolded shear strength probably 
indicates that failure occurred at the interface between pile and soil where a 
lower shearing resistance was developed. 

2) The unconfined compression tests showed no significant variation of 
the soil strength with depth, either before or after pile driving; but Fig. 15 
shows significant changes in the rate of load transfer with depth. The changes 
in the rate of load transfer probably indicate that bond failed to develop at the 
interface between pile and soil at the shallow depths. 

3) The data in Fig. 14 showed good correlation between excess hydrostatic 
pressures and shear strength, but the increase in bearing capacity lags behind 
for small values of time. The lower rate of increase in bearing capacity 
probably indicates a lag in the development of bond at the interface. 


It is recognized that the modified assumption derives only from experiences 
with the piles used in this research; however, it seems probable that the modi- 
fication will apply to other piles as well. 

It is interesting to note that near the top of the pile, the maximum skin 
friction was less than the shear strength of the undisturbed soil due to the 
fact that failure occurred at the interface between pile and soil, while near 
the bottom of the pile, the maximum skin friction was greater than the shear 
strength of the undisturbed soil due to the increase in strength of the soil 
caused by disturbance and reconsvlidation. It might be expected therefore 
that the average skin friction at failure, after sufficient time had elapsed to 
allow the soil around the pile to fully reconsolidate, would have a value ap- 
proximately equal to the shear strength of the undisturbed soil. That this is 
in fact the case may be readily seen if the supporting capacity of the pile is 
computed on the assumption that the skin friction over the embedded area of 
the pile is equal to the shear strength of the undisturbed soil. The total skin 
friction, based on this assumption, is 5,400 lb., which together with a resistance 
of about 200 lb. at the pile tip, gives a total supporting capacity of 5,600 lb. 
This compares favorably with the maximum supporting capacity of 6,100 lb. 
measured in the seventh load test. It appears that this method of computing 
the ultimate supporting capacity of the test pile gives good results because 
the length of the pile was such that the error due to over-estimating of the skin 
friction at the upper end of the pile is approximately neutralized by the error 
due to under-estimation of the skin friction at the lower end of the pile. 


Determination of Load Distribution and Settlement for A Friction Pile 
from Soil Shear Tests 


In the discussion of the load distribution curves, the possibility of using 
data from shear tests of soil to obtain load distribution curves and load vs. 
settlement curves for a pile was mentioned. The accuracy of the results 
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obtained will depend, of course, on the validity of the soil test data; if, how- 
ever, reliable data on the shear characteristics of the soil adjacent to the pile 
can be determined, the behavior of the pile under load can be predicted by the 
following method of analysis. 

If a friction pile is driven through clay, the clay is remolded; consequently, 
regardless of the properties of the undisturbed soil, the clay in the vicinity 
of the pile has nonbrittle stress-deformation characteristics. A loaded pile 
produces deformation in the surrounding soil, and the deformation varies 
from a maximum at the ground surface to a minimum at the pile tip. In usual 
cases, the pile is quite stiff compared to the soil, so that at the ultimate pile 
load even the bottom-most soil elements will develop their maximum shear 
resistance. Although the top-most soil elements will be deformed more be- 
cause of the elastic compression in the pile, the additional deformation will 
not cause this shear resistance to be reduced below the maximum values. 
Thus, the load distribution at the ultimate pile load can be determined from a 
knowledge of the shear strength of the soil around the pile. It is possible that 
there will be failure at the interface between pile and soil; if so, some fraction 
of the shear strength of the soil might be used to account for the loss of 
strength due to the interface failure. 

For a number of reasons it is useful to know the load distribution along a 
friction pile which is supporting a load less than the ultimate. In this case 
three difficulties present themselves: how to compute the resistance of the 
pile point, how to relate stress-deformation curves for the soil to pile move- 
ment, and how to make the mathematical solution. At the present time the 
first two problems can be resolved approximately while the mathematical 
solution can be made by a method of successive approximations. 

The resistance of the pile point in clay for a given downward movement of 
the pile point may be of minor importance if the pile support is supplied prin- 
cipally by shaft resistance: but for a complete solution the point resistance 
must be considered. Ultimately it is hoped that a method for determining 
point resistance based on the stress vs. strain characteristics of the soil 
determined from triaxial compression tests, can be developed. However as 
a temporary expedient, where the point resistance is very low, the resistance 
may be computed, as in the example which follows, by considering the point 
to be repiaced by an equivalent length of shaft. The amount of shaft area to 
be added might be obtained by theoretical considerations or, as in the example, 
from the results of tests. 

A more difficult problem is to relate the stress-deformation curves of the 
soil to the movement of the pile. If a point on the pile is assumed to move 
downward a certain amount, this downward movement must be related to the 
shear deformation in the soil at that point in order to determine a correspond- 
ing shear stress which will develop a resisting force along the pile. The 
methods of elasticity are of limited assistance in this problem since the soil 
is non-elastic. The stress vs. deformation curves used in this analysis should 
be those of the reconsolidated soil adjacent to the pile. However, such data 
cannot be readily determined and therefore, as a trial, it is suggested that 
the stress-strain curves obtained from vane shear tests on the undisturbed 
soil be applied. The vane imposes deformations similar to those imposed by 
a downward-moving pile and the radial movement of a point on the vane ex- 
tremity is assumed to develop the same shear resistance as will an equal 
downward movement of a point on the pile. An attempt can be made to correct 
for the fact that failure may occur at the interface between pile and soil rather 
than in the soil by using only a certain proportion of the soil strength corres- 
ponding to a particular deformation. 
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The differential equation which defines the load distribution along the pile 
length can be approximated by considering an element cut perpendicular to & 
the pile axis,° as shown in Fig. 16. The movement of the pile wall at aepth z 
differs from that at depth z + dz by the elastic compression of the length dz 
of the pile. The unit strain of the pile at depth z is therefore: 


dg _P 
dz EA 


E = modulus of elasticity of pile material 
¢ = movement of pile at depth z 
P = load on pile at depth z 

d¢ 


Then P= EAT 


and 


Now if 8 is a function which defines the properties of the soil such that Bo 
is the shear resistance of the soil corresponding to a strain ¢, then 


dP = B¢Cdz 


Ml) 


and dP 
(2) 


Equating expressions in (1) and (2) 


¢ 


This analysis ignores any deformation of a soil element next to the pile wall 
due to the non-uniform distribution of vertical load in the soil above this 
element and to this extent is approximate. The term § will be a constant only 
if there is a linear relationship between soil resistance and pile movement, 
as expressed by a line such as 1 in Fig. 17, for the full length of the pile. In 
that case and if « is also constant, a theoretical solution can readily be ob- 
tained for the differential equation. A theoretical solution can probably be 
obtained conveniently if the soil resistance and pile movement are related by 
a curve such as 2 in Fig. 17 for the full length of the pile. However, the usual 
case is that the soil resistance and pile movement are related by such a curve 
as 3 in Fig. 17 and that this relationship will vary with depth. In this case, a 
numerical procedure seems most suitable for the solution of the differential 
equation, Equation (3). The procedure is analogous to the test loading of a 
pile, resulting in a series of load-distribution curves and in a load-settlement 
curve. 


Computations Using Theory 


In order to illustrate the proposed method of analysis, computations have 
been made to determine the load distribution curves and load vs. settlement 
relationship for the pile tested in the field. The stress vs. deformation 
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relationships for the undisturbed soil determined by vane shear tests, shown 
in Fig. 13, were used in the analysis. 

In order to correct for the fact that failure was found to occur at the inter- 
face between pile and soil rather than in the soil, only a certain proportion 
of the soil strength, corresponding to a particular deformation, wasused. The 
proportions for the various depths were obtained from an examination of 
Fig. 15. A comparison of the shear strength of the soil with the rate of load 
transfer at the various depths enabled the following proportions to be obtained: 
22 ft, 1.0; 20 ft, 1.0; 18 ft, 0.9; 16 ft, 0.7; 14 ft, 0.6; 12 ft, 0.3; 10 ft, 0. It is 
recognized that such factors, to be applied at various depths, would not nor- 
mally be known. However, experience with other piles and soils may ulti- 
mately be used to select appropriate factors. 

A particular load distribution curve is computed by assuming first a small 
downward movement of the pile tip. The stress-deformation curve for the soil 
at that depth is consulted, see Fig. 13, and the rate of load transfer which is 
developed is obtained. The load on the pile tip is obtained by multiplying this 
rate of load transfer by the shaft area which is assumed to replace the pile 
tip. In this case it was found that the resistance of the pile tip could be 
approximated by the shaft resistance on an additional 8 inches of pile length. 

Next, a somewhat greater downward movement is assumed for a point on 
the pile a short distance higher, and for which a corresponding stress-de- 
formation curve for the soil is available. The rate of load transfer for the 
assumed movement is obtained, and the increase of load in the pile can be 
computed. Then, using the area and modulus of elasticity of the pile material, 
the movement corresponding to this increase in load can be calculated. If 
the calculated movement does not agree with the assumed movement, a new 
computation is made and the process is continued until agreement between 
movements is obtained. In this manner, a load distribution curve can be com- 
puted for the entire pile length, corresponding to any assumed movement of 
the pile tip. 

For the computation shown in Table 4 the downward movement of the pile 
tip at a depth of 23 ft was assumed to be 0.12 in. The stress vs. deformation 
curve for the soil at a depth of 22 ft was consulted and a rate of load transfer 
of 510 lb per sq ft was obtained. The area of shaft for 8 in. of pile length was 
1.05 sq ft; therefore the load on the pile point was computed as 535 lb. 

The movement, ¢, of the pile for a depth of 22 ft was assumed to be 0.1210 
in. Then the rate of load transfer of 510 lb per sq ft was obtained from the 
appropriate stress vs. deformation curve in Fig. 13. 

The load in the pile at a depth of 21 ft was computed as follows (see Fig. 18) 


Pos = Pog * © 


= load in pile at a depth of 21 ft 
P,,.. = load in pile at a depth of 23 ft 


23 
To = rate of load transfer per unit area at a depth of 22 ft 
C = circumference of pile 
Los_91 = length of pile from 23 to 21 ft 


Thus 


P,, = 535 + (510) (1.57) (2) 


= 2125 lb. 


21 
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To check the assumed movement of the pile, $= 0.1210 in., at a depth of 
22 ft. the movement of the pile at a depth of 21 ft was computed as follows: 


P23 +Po21 Lo3-21 
2 AE 


= $23 + 


where 9g 91 = movement of the pile at a depth of 21 ft 


A = cross-sectional area of pile material (1.4 in?) 
E = modulus of elasticity of pile material (30 x 10° psi) 
Thus 535 + 2125. 24 


$91 = 0.1200 + ——> (4) x (30 x 10°) 
=0.1200 + 0.0008 = 0.1208 


The movement of the pile at a depth of 22 ft was assumed to be the average 
of the movements at 23 and 21 ft, that is 0.1204 in. It is obvious that a more 
accurate calculation could be made by using the area under the load distribu- 
tion curve from 23 to 22 ft, but the extra work involved does not appear to be 
justified. Thus, the computed movement at a depth of 22 ft of 0.1204 in. is 
not in agreement with the assumed movement of 0.1210 in. A new assumption 
was made and the calculation was repeated, as shown in Table 4, until agree- 
ment was obtained between assumed and calculated movements. Table 4 shows 
the entire computation for the full length of the pile. 

By assuming various movements of the pile point, a series of load distri- 
bution curves can be obtained. The series obtained for this pile is shown in 
Fig. 19. For each assumed point movement, corresponding values for move- 
ment and load at the top of the pile are determined. Reference to Table 4 
shows that for the assumed point movement of 0.120 in., the movement of the 
top of the pile is 0.159 in. and the load at the top of the pile is 7830 lb. 

Movements and loads for the top of the pile can be plotted to obtain a load- 
settlement curve, as shown in Fig. 20. 


Comparison of Theoretical and Test Results 


In Fig. 19 the load distribution curves computed as described above are 
compared with the actual load distribution curve for the maximum load the 
pile was able to support (the ultimate load in the seventh load test). In Fig. 20 
the computed load-settlement curve is compared with the load-settlement curve 
for the seventh load test. The results do not compare very favorably. How- 
ever, the lack of agreement in this case is believed to be due to errors as- 
sociated with the use of the vane shear device for determining the properties 
of the particular soil used in this investigation. The presence of shells in the 
soil, cutting across the failure plane, undoubtedly caused an increase in the 
resistance to movement of the vane with the result that the resistances com- 
puted from the dimensions of the vane were too high. This is evidenced by the 
fact that the shear strengths determined from the vane tests were higher than 
the maximum values of the rate of load transfer measured on the test pile. 

In a more uniform soil for which a vane test would give more reliable results, 
the method of analysis would probably give better agreement between computed 
and actual pile performance. 

Even with a soil such as that used for this investigation, however, the pro- 
posed method may have useful practical applications. If vane shear tests are 
performed at a site where a friction pile is being test loaded, a pair of curves 
such as those shown in Fig. 20 could be obtained. From a practical standpoint, 
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modifications could then be made in the vane shear test data so that the load- 
settlement curves would agree. The modified vane shear test data could then 
be used to determine load distribution curves for other conditions of pile 
length and pile diameter. 

The fact that the analysis does not take into account the deformation of the 
soil next to the pile wall caused by the non-uniform distribution of vertical 
load in the overlying soil would be expected to lead to computed settlements 
which are somewhat less than the actual settlements of the pile for any par- 
ticular applied load; further investigation may reveal a simple method of 
taking this factor into account. Furthermore, the use of data obtained by vane 
shear tests on the undisturbed soil ignores the effect of pile driving on soil 
properties; it is possible that research will reveal a more suitable way of 
determining the soil properties to be used in the analysis. 


Characteristics of Soil Adjacent to Driven Piles 


In order to make a more accurate analysis of pile performance from soil 
tests, it would be necessary to be able to determine the characteristics of 
the soil adjacent to a driven pile. For this purpose it would be necessary to 


_ determine the properties of the partially remolded soil corresponding to points 


B and E on Figure 12 from the results of tests on soil samples obtained prior 
to pile driving. The properties of the undisturbed and completely remolded 
soil, corresponding to points A and C, could be established as previously 
described, and the slope of a line corresponding to B - E could be correctly 
obtained, but the positions of B and E would be indeterminate. 

How much disturbance will occur due to the pile driving? In this investi- 
gation the tests show that in going from Point A to Point B the soil lost 67% 
of the strength it would have lost in being completely remolded. This does 
not mean that some other clay would lose the same proportion of its strength 
as a result of pile driving, even if the same type of pile were used. 

The conservative assumption could be made that full remolding would occur. 
But it would still be necessary to determine the increase in strength of the 
soil due to reconsolidation. In these experiments the final strength of the 
soil next to the pile was about 60% more than the strength of the undisturbed 
soil, but there is no evidence to indicate that a different clay would show a 
similar increase in strength. Fully remolded soil attained a strength of 60% 
higher than the strength of the undisturbed soil when reconsolidated in the 
laboratory under a pressure of about 1 ton per sq ft (about one-half the total 
pressure which developed during driving), but this relationship may not be 
true for other piles. 

Therefore, at this time a complete procedure for predicting the performance 
of friction piles from soil properties cannot be formulated and approximations 
must be made. It is believed, however, that the tests and analyses presented 
above do indicate a procedure for obtaining a reasonably accurate determina- 
tion of pile performance, and that improved accuracy can be attained when 
basic work is done to determine the mechanics of the consolidation process 
around a pile driven into clay, to the end that peak pressures which are pre- 
dicted can be translated into ultimate equilibrium pressures with accompany- 
ing consolidation and increase in shear strength of the clay. 


SUMMARY 


In the insensitive clay used in this investigation, the instrumented pile 
showed a marked increase in bearing capacity with time; the ultimate load 
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for the final load test, about 30 days after driving, was 5.4 times as great as 
the ultimate load measured several hours after driving. The increase in 
bearing capacity was attributed to an increase in the shear strength of the 
soil surrounding the pile. 

The load distribution curves for the pile showed that most of the load was 
removed from the pile by shaft resistance, with only about 10% of any par- 
ticular load reaching the pile tip. The increase in bearing capacity was re- 
flected by an increase in the rate of load transfer, as determined by the slope 
of the load distribution curves; the increased rate of load transfer was ex- rr 
hibited by soil strata at all depths. The load distribution curves for all load- 
ings showed a general increase in rate of load transfer with depth, with no 
load being removed by the soil near the ground surface and a maximum rate 
of about 400 lb per square foot being removed by soil at depths of 20 to 22 ft. 

Strength-water content relationships were established for undisturbed soil 
and for fully remolded soil. Tests of soil samples taken next to the pile wall 
showed that the strength loss due to disturbance when the pile was driven was 
about 60% to 70% of that which the soil would have lost due to complete remold- 
ing. The clay next to the pile wall subsequently gained strength, and at the 
end of the test period it had a strength 60% higher than the strength of the un- 
disturbed soil. This increase in soil strength appeared to parallel the de- 
crease in excess hydrostatic pressure, and the data indicated that these 
phenomena are directly related. ‘ 

The bearing capacity of the pile was not as great as would have been ob- ; 
tained if a shear resistance equal to the strength of the reconsolidated soil 
had been developed over the embedded area of the pile. This and related 
data led to the conclusion that the failure which occurred when the pile was 
overloaded occurred at the interface between pile and soil for the shallow 
depths, rather than in the soil. 

A method was demonstrated for making a numerical solution of the differ- 
ential equation governing the distribution of load from a friction pile to soil. 
From this procedure, the load vs. settlement relationship for a friction pile 
can be determined if the properties of the soil surrounding the pile are known. 
The method was applied to determine the performance of a test pile, using the 
stress-deformation characteristics of the undisturbed soil as determined by 
vane shear tests in the analysis. Results from the procedure were compared 
with experimental results, and fair agreement was obtained. It was suggested 
that better agreement would be obtained in a more homogeneous soil and if 
improved methods for determining soil properties could be developed. A 
procedure was also suggested for making the method useful in practice. 


CONCLUSIONS 


The conclusions listed below apply specifically to the investigation des- 
cribed in this paper; that is, to the study of a small-sized, displacement-type 
friction pile which was driven into a non-sensitive clay. The driving and 
testing procedures are, however, in many ways identical with practice, and 
it is believed that most of the conclusions will apply to other displacement- 
type friction piles having similar surface characteristics. 


1) Even in an insensitive clay, the increase in bearing capacity of a dis- 
placement-type friction pile may be large, and the final bearing capacity may 
be as much as 5 times the initial bearing capacity. 

2) The loss of strength of the soil around the pile was due to disturbance, 
caused by pile driving. As a result of this disturbance the soil lost about 
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70% of the strength it would have lost due to complete remolding. The shear 
strength of the disturbed and reconsolidated soil was 50% higher than the un- 
disturbed shear strength. 
3) For small values of time for all depths, and for all values of time for 
the shallow depths, the failure which occurred when the friction pile was 
over-loaded did not occur in the soil but at the interface between pile and soil. 
4) The bearing capacity determined for a single friction pile by multiply- 
ing the area of the embedded pile by the soil shear strength obtained from 
unconfined compression tests of undisturbed samples, while being nearly equal 
to the true bearing capacity in some instances, must be considered an 
approximation. 
5) Load vs. settlement curves and load distribution curves for a friction 
pile can be determined using a numerical procedure if the shear resistance 
vs. deformation relationship for the soil surrounding the pile can be determined. 
6) The proposed method for determining the performance of a friction pile 
from soil tests is useful even in heterogeneous soil and using the shear re- 
sistance vs. deformation characteristics of the undisturbed soil as determined 
by vane shear tests, but better results could be obtained if shear resistance 
vs, deformation curves for reconsolidated soil adjacent to a driven pile could 
be determined. 
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APRIL: 659(ST), 660(ST), 661(ST)°, 662(ST), 663(ST), 664(ST)°, 665(HY)°, 666(HY), 667(HY), 
668(HY), 669(HY), 670(EM), 671(EM), 672(EM), 673(EM), 674(EM), 675(EM), 676(EM), 677(EM), 
678(HY). 


MAY: 679(ST), 680(ST), 681(ST), 682(ST)°, 683(ST), 684(ST), 685(SA), 686(SA), 687(SA), 688(SA), 
689(SA)°, 690(EM), 691(EM), 692(EM), 693(EM), 694(EM), 695(EM), 696(PO), 697(PO), 698(SA), 
699(PO)©, 700(PO), 701(ST)°. 


JUNE: 702(HW), 703(HW), 704(HW)°, 705(IR), 706(IR), 707(IR), 708(IR), 709(HY)°, 710(CP), 
T11(CP), 712(CP), 713(CP)°, 714(HY), 715(HY), 716(HY), 717(HY), 718(SM)°, 719(HY)S, 
720(AT), 721(AT), 722(SU), 723(WW), 724(WW), 725(WW), 726(WW)°, 727(WW), 728(IR), 
729(IR), 730(SU)°, 731(SU). 


JULY: 732(ST), 733(ST), 734(ST), 735(ST), 736(ST), 737(PO), 738(PO), 739(PO), 740(PO), 
741(PO), 742(PO), 743(HY), 744(HY), 745(HY), 746(HY), 747(HY), 748(HY)°, 749(SA), 750(SA), 
751(SA), 752(SA)°, 753(SM), 754(SM), 755(SM), 756(SM), 757(SM), 758(CO)°, 759(SM)°, 
760(WW)”. 


AUGUST: 761(BD), 762(ST), 763(ST), 764(ST), 765(ST)°, 766(CP), 767(CP), 768(CP), 769(CP), 
770(CP), 771(EM), 772(EM), 773(SA), 774(EM), 775(EM), 776(EM)©, 777(AT), 778(AT), 
779(SA), 780(SA), 781(SA), 782(SA)°, 783(HW), 784(HW), 785(CP), 786(ST). 


SEPTEMBER: 787(PO), 788(IR), 789(HY), 790(HY), 791(HY), 792(HY), 793(HY), 794(HY)°, 
795(EM), 796(EM), 797(EM), 798(EM), 799(EM)°, 800(WW), 801(WW), 802(WW), 803(WW), 
804(WW), 805(WW), 806(HY), 807(PO)°, 808(IR)°. 


OCTOBER: 809 (ST), 810 (HW)°, 811(ST), 812(ST)©, 813(ST)©, 814(EM), 815(EM), 816(EM), 
817(EM), 818(EM), 819(EM)°, 820(SA), 821(SA), 822(SA)°, 823(HW), 824(HW). 


NOVEMBER: 825(ST), 826(HY), 827(ST), 828(ST), 829(ST), 830(ST), 831(ST)©, 832(CP), 
833(CP), 834(CP), 835(CP)°, 836(HY), 837(HY), 838(HY), 839(HY), 840(HY), 841(HY)®. 


DECEMBER: 842(SM), 843(SM)°, 844(SU), 845(SU)©, 846(SA), 847(SA), 848(SA)°, 849(ST)°, 
850(ST), 851(ST), 852(ST), 853(ST), 854(CO), 855(CO), 856(CO)*, 857(SU), 858(BD), 859(BD), 
860(BD). 


c. Discussion of several papers, grouped by Divisions. 
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